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Abstract: To enhance the structural capacity and constructability of composite columns, a prefabricated steel-reinforced concrete (PSRC)
column was developed. By using the prefabricated steel cage, field rebar work is unnecessary, and the self-erectable steel cage can provide
sufficient strength and rigidity to support the construction loads of beams and slabs. In the present study, various steel angle ratios, transverse
bar spacings, and prefabrication details were considered for better structural capacity and constructability. To investigate the performance
of the proposed method, axial loading tests and cyclic lateral loading tests were performed. In the axial loading test, the structural performance
of the PSRC columns was comparable to, or even better than, that of the conventional composite column using the wide flange steel section,
when early spalling of the cover concrete was restrained by closely spaced hoops. Under cyclic lateral loading, on the other hand, the
PSRC columns were more susceptible to early concrete spalling and steel angle buckling. Thus, when high ductility is required under cyclic
lateral loading, the steel angles need to be embedded in the core concrete using thicker cover concrete and hoops. DOI: 10.1061/(ASCE)ST
.1943-541X.0001452. © 2016 American Society of Civil Engineers.

Author keywords: Composite column; Compression test; Cyclic test; Seismic test; Steel; Reinforced concrete; Metal and composite
structures.

Introduction

In conventional concrete-encased steel (CES) composite columns,
a steel section is placed at the center of the cross section [Fig. 1(a)].
Thus, the contribution of the steel section to the overall flexural
capacity of the column could be limited. For better efficiency
and economy, particularly under biaxial moment, the steel section
needs to be placed at the corners, rather than at the center of the
cross section (Eom et al. 2014; Hwang et al. 2015; Kim et al. 2008,
2009; Poon 1999; Montuori and Piluso 2009; Campione 2013).

Fig. 1(b) shows an example of such composite columns that was
studied by Eom et al. (2014) and Hwang et al. (2015). The prefab-
ricated steel-reinforced concrete (PSRC) column was developed to
utilize the advantages of the reinforced concrete column and the
steel-concrete composite column: economy and fast construction.
In the PSRC column, four steel angles are placed at the corners of
the cross section, and transverse bars and plates are used to connect
the angles by welding. For convenience in fabrication, the trans-
verse ties can be replaced by continuous hoops [Fig. 1(b); Eom et al.
(2013)]. The steel angles resist axial load and flexural moment.
The transverse bars and plates provide shear resistance and

concrete confinement. To provide a bond between the steel angles
and concrete, the transverse reinforcement is welded to the steel
angles. Because the steel cage of angles and transverse bars are
prefabricated in factories, field rebar work is unnecessary. Further,
the self-erectable steel cage can provide sufficient strength and ri-
gidity to support the construction loads of beams and slabs that are
superimposed on the column.

Poon (1999), Montuori and Piluso (2009), and Campione
(2013) performed compression tests for RC columns strengthened
with steel angles (at the four corners of the cross section) and trans-
verse plates (or battens). They used the angles and battens to retrofit
existing RC columns. Thus, the angles and battens were exposed
without concrete encasement. Poon (1999) performed a concentric
compression test. The test result showed that by using the angles
and battens, the axial strength and stiffness of the strengthened col-
umns were increased by 20 and 31%, respectively. Montuori and
Piluso (2009) performed an eccentric compression test for RC col-
umns strengthened with angles and batten plates. The steel angles
and battens confined the core concrete and prevented premature
buckling of the longitudinal bars. On the basis of the test results,
they proposed a fiber model analysis method for the strengthened
RC columns. Campione (2013) studied the buckling of steel angles.
The load-carrying capacity and deformation capacity of the
strengthened columns increased as the spacing of batten plates
decreased.

Kim et al. (2008, 2009) proposed a form-integrated composite
column with steel angles and transverse plates, named “yLRC
column.” In the yLRC column, steel angles were exposed without
concrete encasement. As a result, the axial load-carrying capacity
was significantly deteriorated by premature buckling of the angles.
Eom et al. (2014) performed pure flexural tests for PSRC columns
with concrete encasement, to investigate the shear and bond
capacities [Fig. 1(b)]. When the specimens were adequately de-
signed for shear and bond, the full flexural capacity was developed
after tensile yielding of the steel angles. However, during the
post-yield behavior, cover concrete spalling and subsequent bond
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deterioration occurred between the angles and surrounding
concrete.

In the PSRC column and similar columns, the cover concrete
can provide local buckling resistance and fire resistance for the
steel angles. However, as shown in the previous test results, the
load-carrying capacity and deformation capacity of the columns
may be limited by early spalling of the cover concrete, particularly
when the columns are subjected to repeated cyclic loading or high
axial compression force. Further, when transverse bars are welded
to steel angles to provide the bond, premature tensile fracture of the
weld joint can occur.

In the present study, the axial load and cyclic lateral load behav-
iors of the PSRC columns were investigated. Two groups of PSRC
column specimens were prepared. A pure compression test was
performed for the first group to investigate the axial load-carrying
capacity and the confinement effects of transverse bars. Then, a
cyclic lateral loading test was performed for the second group of
specimens with various details of angles and transverse bars, to
investigate the seismic performance and post-yield behavior.

Compression Test

Test Specimens

Fig. 2 shows the dimensions and details of a conventional CES col-
umn (S1) and five PSRC columns (S2–S6) for compression test.
The geometric properties of the specimens are presented in Table 1.
The test parameters were the steel ratio (= the ratio of the steel sec-
tion to the gross area of the column section) and the spacing of
transverse bars. The overall height of the specimens was 1,500 mm
[Fig. 2(a)]. In order to avoid unexpected concrete failure at the top
and bottom bearing plates, the top and bottom concrete of the spec-
imens was confined with steel tube sections B-500 × 500 × 12
(S1–S4) and B-400 × 400 × 12 (S5 and S6).

In the conventional CES specimen S1, the cross section was
500 × 500 mm. Awide flange steel section of H-155 × 150 × 10 ×
12 [depth × width × web thickness × flange thickness and cross-
sectional area ¼ 4,910 mm2, Fig. 2(b)] was used at the center of
the cross section. Four D19 reinforcing steel bars (diameter ¼
19.1 mm and cross-sectional area ¼ 287 mm2 each) were used at
the corners of the cross section. For transverse reinforcement,
conventional hoops of D10 bars (diameter ¼ 9.53 mm and cross-
sectional area ¼ 71 mm2 each) were used at a vertical spacing of
s ¼ 200 mm, which satisfied the requirement of AISC 360-10
(AISC 2010): 0.5hmin ¼ 250 mm.

In PSRC specimen S2, four steel angles of L-90 × 90 × 7
[cross-sectional area ¼ 1,223 mm2 each, Fig. 2(c)] were used at

the corners of the cross section (500 × 500 mm). The total area
of the four angles was equivalent to the area of the H-section used
for S1. Four D19 longitudinal bars were placed at the center of the
four edges of the cross section. For transverse reinforcement, rec-
tangular hoops were used at a spacing of 200 mm (s ¼ 200 mm).
Each bar of the hoops (390-mm-long D10 bars) was welded to the
surfaces of the angles [weld length lw ¼ 85 mm, Fig. 2(c)]. D10
crossties were also used to laterally support the longitudinal
D19 bars.

PSRC specimens S3 and S4 had the same cross section and steel
angles (L-90 × 90 × 7) as those of S2 [Fig. 2(d)]. The details of the

(a) (b)

Fig. 1. Concrete-encased composite columns: (a) CES column; (b) PSRC composite column

(b)

(c)(a)

(e)(d)

Fig. 2. Dimensions and details of compression test specimens (mm):
(a) column configuration; (b) S1 (cross section A-A); (c) S2 (cross sec-
tion A-A); (d) S3 and S4 (cross section A-A); (e) S5 and S6 (cross
section A-A)
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welded rectangular hoops were the same as those of S2. However,
in S3 and S4, crossties were not used. The spacings of the hoops
were s ¼ 100 and 200 mm for S3 and S4, respectively. The hoop
spacing of S3 was decreased to 100 mm (¼ 0.2hmin) to investigate
the effects of the welded rectangular hoops on the axial load behav-
ior of the PSRC column.

Fig. 2(e) shows the cross sections of PSRC specimens S5 and
S6. Four angles of L-90 × 90 × 7 were used at the corners of the
cross section. As the dimensions of the cross section were
decreased to 400 × 400 mm, the steel ratio of S5 and S6 was
increased to 3.1%, which was greater than the 2.0% steel ratio of
S2 and S3. Each welded rectangular hoop was fabricated with four
290-mm-long D10 bars (weld length lw ¼ 85 mm). The vertical
spacing of the hoops were s ¼ 100 and 200 mm for S5 and S6,
respectively. Crossties were not used.

Materials and Testing Method

To measure the concrete strength, compression tests were per-
formed using concrete cylinders (diameter ¼ 100 mm and height ¼
200 mm). The concrete strength at the day of column testing was
f 0
c¼23.5MPa. The yield and tensile strengths of the L-90×90×7

angles were Fy ¼ 444 MPa and Fu ¼ 689 MPa, respectively,
which were greater than Fy ¼ 383 MPa and Fu ¼ 515 MPa of
H-155 × 150 × 10 × 12, respectively. The yield and tensile
strengths were fy ¼ 523 MPa and fu ¼ 650 MPa for D19 bars,
respectively, and fy ¼ 522 MPa and fu ¼ 654 MPa for D10
bars, respectively. The reinforcing bars were weldable deformed
bars specified in the Korean Building Code (AIK 2009).

Flare-bevel-groove welding (a welding method for connecting
a round bar and a flat plate) was used in the connection between
the steel angles and transverse bars, following the weld joint details
and welding method specified in ANSI/AWS D1.4 (AWS 1998).
YFW-C50DR electrodes (FEXX ¼ 584 MPa and CVN 86 J at
0°C) were used for the welding. AWS D1.1 (AWS 2010) requires
preheating to 60–160°C for the high-strength steel. In the present
study, however, preheating was not used.

Fig. 3 shows the test setup for the compression tests of S1–S6.
The column specimens were mounted on a pin joint at the base, and
axial load was then applied to the top of the column without eccen-
tricity using a 10,000 kN universal testing machine. The effective
height of the specimens between the top and bottom pin joints was
He ¼ 1,820 mm. Axial shortening of the columns was measured
from the LVDTs located at the four corners of the column.

Test Results and Discussion

Fig. 4 shows the axial load-strain (P-ε) relationships of S1–S6.
The axial strain ε was calculated by dividing the average short-
ening measured from the four LVDTs by the net column height
[¼ 1,500 − 2 × 25 mm, Fig. 2(a)]. The peak strength Pu, axial
strain εo at Pu, and ultimate strain εu at the failure of the specimen

are summarized in Table 2. The ultimate strain εu was defined as
the post-peak strain corresponding to 75% of the peak strength Pu.

The conventional CES specimen S1 showed the peak strength
Pu ¼ 7,612 kN at axial strain εo ¼ 0.0025, and ultimately failed at
εu ¼ 0.0041 [Fig. 4(a)]. After the peak strength, significant
strength degradation occurred in the post-peak behavior of S1, due
to the relatively large vertical spacing of the hoops.

As shown in Figs. 4(b–f), the axial load behavior of PSRC spec-
imens S2–S6 was similar to that of S1. The peak strengths Pu
varied from 5,680 to 8,081 kN depending on the properties of
the cross sections. The strains at Pu were slightly increased to
εo ¼ 0.0029–0.0033, except for S4. The post-peak strength
degradation in S2–S6 was not as significant as that of S1. As
a result, the ultimate strains at failure were also increased to
εu ¼ 0.0050–0.0081.

In S2 [Fig. 4(b)], early spalling of the cover concrete occurred
at the axial load of 3,000 kN, which decreased the stiffness. How-
ever, the peak strength and the ultimate strain were greater than
those of the conventional CES column S1, because of the greater
yield strength of the steel angles and the lateral confinement pro-
vided by the angles. Figs. 4(c and d) show that the peak strength of
S3 with closely spaced hoops (s ¼ 100 mm) was 14.4% greater
than that of S4 with a greater hoop spacing of s ¼ 200 mm. A sim-
ilar result was also seen in the test results of S5 and S6 with differ-
ent hoop spacings, though the difference in the peak strength was
not as significant [Figs. 4(e and f)]. Furthermore, the deformation
capacity of S3 and S5 was increased because of the closely
spaced hoops.

In this test, local buckling of the steel angles was not observed
even at the end of the tests. However, in all specimens, significant

Table 1. Specimens for Compression Tests

Specimens Dimensions (mm) Steel section [steel ratio (%)] Longitudinal bars Hoops (mm)b Crossties (mm)

S1 500 × 500 H-155 × 150 × 10 × 12a (2.0) 4-D19 D10 @ 200 —
S2 500 × 500 4L-90 × 90 × 7 (2.0) 4-D19 D10 @ 200 D10 @ 200
S3 500 × 500 4L-90 × 90 × 7 (2.0) N/A D10 @ 100 —
S4 500 × 500 4L-90 × 90 × 7 (2.0) N/A D10 @ 200 —
S5 400 × 400 4L-90 × 90 × 7 (3.1) N/A D10 @ 100 —
S6 400 × 400 4L-90 × 90 × 7 (3.1) N/A D10 @ 200 —
aH-depth × width × web thickness × flange thickness (mm).
bReinforcing steel bars complying with Korean Industrial Standard (diameter ¼ 9.53 mm and cross-sectional area ¼ 71 mm2 each).

Fig. 3. Setup for compression tests (mm)

© ASCE 04016001-3 J. Struct. Eng.

 J. Struct. Eng., 04016001 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

U
ni

ve
rs

ity
 o

f 
C

al
if

or
ni

a,
 S

an
 D

ie
go

 o
n 

01
/0

6/
16

. C
op

yr
ig

ht
 A

SC
E

. F
or

 p
er

so
na

l u
se

 o
nl

y;
 a

ll 
ri

gh
ts

 r
es

er
ve

d.



cracking and subsequent concrete spalling occurred after the peak
strengths. Particularly, in S2 and S6, concrete spalling occurred
early at the level of service loading. Also in S4, the concrete spall-
ing occurred before the peak strength. The early spalling was ini-
tiated at the corners of the cross section because of the smooth
surface of the angle. This result indicates that hoop bars should
be closely spaced, to develop the peak strength by restraining early
spalling of the cover concrete. On the basis of the test results, it is
recommended that the spacing of hoops be decreased to half of the
requirement of conventional CES columns (s ¼ 0.25hmin) in order
to secure robust axial load behavior of the PSRC columns under
high axial load. Alternatively, additional corner ties surrounding
the steel angle can be added to prevent the early spalling of cover
concrete. Otherwise, the contribution of the cover concrete at the
corners to the nominal strength needs to be neglected in the column
design.

Axial Load-Carrying Capacity

The nominal compressive strengths Pn of the specimens were
evaluated according to AISC 360-10 (AISC 2010), as follows:

Pn ¼ P0 · 0.658ðP0=PeÞ ð1Þ

in which

Po ¼ 0.85f 0
cðAg − As − AsrÞ þ FyAs þ fyrAsr ð2Þ

Pe ¼ π2ðEIeffÞ=ðKLÞ2 ð3Þ

EIeff ¼ EsIs þ 0.5EsIsr þ C1EcIc ð4Þ

C1 ¼ 0.1þ 2As=ðAc þ AsÞ ≤ 0.3 ð5Þ

in which Po = maximum compressive strength of the composite
column; Pe = elastic buckling strength of the column; f 0

c = concrete
strength; Fy and As = yield strength and area of the steel section,
respectively; fyr and Asr = yield strength and area of the longitu-
dinal bars, respectively; EIeff = effective flexural stiffness of
the composite column; KL = effective buckling length; Es = elastic
modulus of steel; Ec = elastic modulus of concrete (¼ 4,700

p
f 0
c);

Is, Isr, and Ic = second-order moments of inertia of the steel sec-
tion, reinforcing bar, and concrete, respectively, with respect to the
centroid of the column section; and Ac = concrete area.

Table 2 presents the predicted strengths Pn of the specimens.
For the prediction, He ¼ 1,820 mm (Fig. 3) was used for the ef-
fective buckling length KL, and the actual material strengths were
used. In Table 2, the test peak strengths Pu were 6–14% greater
than the predicted strengths Pn, except for S4. In PSRC specimen
S4, which had no crossties and a relatively large hoop spacing
(s ¼ 200 mm), the nominal strength was not fully developed be-
cause of early spalling of the concrete.

Nonlinear numerical analysis was performed for the cross sec-
tion of the test specimens, assuming a perfect bond between the
steel and concrete. For the steel sections and reinforcing bars,
the stress-strain relationships were idealized as the elastic–perfectly
plastic behavior. For the unconfined concrete, a parabolic model
proposed by Hognestad (1951) was used. For the confined con-
crete, a stress-strain relationship proposed by Hoshikuma et al.
(1997) was used (Fig. 5)

σccðεÞ ¼
8<
:

Ecε
h
1 − 1

n

�
ε
εcc

�
n−1i

for 0 ≤ ε ≤ εcc

f 0
cc − Edesðε − εccÞ for εcc ≤ ε ≤ εcu

ð6Þ

in which

n ¼ Ecεcc
Ecεcc − f 0

cc
ð7Þ

(a) (b) (c)

(d) (e) (f)

Fig. 4. Axial load-strain relationships of specimens: (a) S1; (b) S2; (c) S3; (d) S4; (e) S5; (f) S6

Table 2. Results of Compression Tests

Specimens

Test results Predictions Eq. (1)

Pu (kN) εo εu Pn (kN) Pu=Pn

S1 7,612 0.0025 0.0041 7,209 1.06
S2 8,081 0.0030 0.0055 7,488 1.08
S3 7,684 0.0029 0.0081 6,834 1.12
S4 6,719 0.0021 0.0070 6,934 0.97
S5 5,842 0.0033 0.0075 5,123 1.14
S6 5,680 0.0030 0.0050 5,123 1.11

Note: εo = axial strain at the peak strength; εu = ultimate strain at failure.
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f 0
cc ¼ f 0

c þ 0.76ρsfyh ð8Þ

εcc ¼ 0.002þ 0.0132

�
ρsfyh
f 0
c

�
ð9Þ

εcu ¼ εcc þ
�

f 0
cc

2Edes

�
ð10Þ

Edes ¼ 11.2

�
f 02
c

ρsfyh

�
ð11Þ

in which ρs and fyh = volume ratio and yield strength of the trans-
verse hoop bars, respectively. ρs denotes the ratio of the hoop bar
volume to the confined concrete volume in a vertical spacing of
hoop. For square column sections, ρs is the same as the reinforce-
ment ratio of the hoop bars. When ρs ¼ 0 and Edes ¼ 0.3Ec are
used in Eqs. (7)–(11), the stress-strain relationship is equivalent
to that of the unconfined concrete.

In Fig. 4, the dashed lines indicate the axial load-displacement
relationships obtained from numerical analysis. Generally, the re-
sults of numerical analysis correlated well with the test results, from
the initial ascending behavior to the post-peak softening behavior.
However, in S2 and S6, which suffered early spalling of cover con-
crete, the test results showed less stiffness than those of the predic-
tions [Figs. 4(b and f)]. In the case of S4, the test peak strength was
less than the prediction.

Cyclic Loading Test

The results of the compression test showed that the PSRC columns
were vulnerable to premature spalling of cover concrete when

hoops were not closely spaced. Thus, under cyclic lateral loading,
the PSRC columns were expected to be more susceptible to such
damages as the ductility demand increases. Thus, in the cyclic load-
ing test, various details of angles and transverse bars were inves-
tigated for better structural capacity.

Test Specimens

Table 3 and Fig. 6 show the details and test parameters of a CES
column and three PSRC columns C1–C4 for the cyclic loading test.
The cross section and height were 400 × 400 mm and 1,800 mm,
respectively. The specimens were subjected to cyclic lateral loading
and uniform axial compression. The test parameters were the types
of steel sections (i.e., H-section or angle), arrangement of steel an-
gles, types of transverse hoops (i.e., welded rectangular hoop or
octagonal continuous hoop), and the use of shear studs between
steel sections and concrete.

For the conventional CES specimen C1, a wide flange section of
H-150 × 150 × 6 × 9 [cross-sectional area ¼ 3,492 mm2 and steel
ratio ¼ 2.2%, Fig. 6(a)] was used at the center of the cross section,
along with four D19 reinforcing bars at the corners. Hoops of D13
bar (diameter ¼ 12.7 mm and cross-sectional area ¼ 127 mm2)
were used for transverse reinforcement. The previous compression
test showed the importance of the vertical spacing of the hoops.
Thus, for PSRC columns, the vertical spacing of the hoops was
decreased to s ¼ 150 mm, which was less than the requirement
of AISC 360-10 (AISC 2010), 0.5hmin (= 200 mm). For compari-
son, the same spacing (s ¼ 150 mm) was used in the CES column.
To provide a reliable bond between the steel section and concrete,
two ϕ16 shear studs (diameter ¼ 16 mm and cross-sectional
area ¼ 201 mm2) were welded to each flange at a vertical spacing
of 200 mm.

For PSRC specimen C2, four steel angles of L-75 × 75 × 6
(cross-sectional area ¼ 873 mm2 each) were used at the corners
of the cross section [Fig. 6(b)]. The total area of the four angles
was equivalent to the cross-sectional area of the H-section used
in C1. Four D19 longitudinal bars were placed at the center of
the edges of the cross section. For transverse reinforcement, tie bars
were welded to the steel angles at a spacing of 150 mm. Each of the
hoops was fabricated with four 270-mm-long D13 bars [weld
length lw ¼ 70 mm, Fig. 2(b)]. The spacing of the hoops
(s ¼ 150 mm) satisfied the requirement of the bond capacity
(between the angles and concrete) that was proposed by Eom
et al. (2014). In addition to the hoops, conventional crossties were
used.

Figs. 6(c and d) show the details of PSRC specimens, C3 and
C4. Four steel angles of L-75 × 75 × 6 were used at the corners of
the cross section. However, the angles were rotated 180 degrees so
that they were embedded in the core concrete enclosed by the

Fig. 5. Stress-strain relationships of confined and unconfined concrete

Table 3. Specimens for Cyclic Lateral Loading Tests

Specimens Dimensions (mm) Steel section [steel ratio (%)] Longitudinal bars Hoops Crossties Tie platesa

C1 400 × 400 H-150 × 150 × 6 × 9 (2.2) 4-D19 Conventional hoops — —
D13 @ 150b

C2 400 × 400 4L-75 × 75 × 6 (2.2) 4-D19 Welded hoops D13 @ 150 —
D13 @ 150

C3 400 × 400 4L-75 × 75 × 6c (2.2) 4-D19 Continuous hoops — 8 PL-130 × 250 × 10

D13 @ 150
C4 400 × 400 4L-75 × 75 × 6 (2.2) 4-D19 Continuous hoops — 8 PL-130 × 250 × 10

D13 @ 150
aAt the top and bottom of the column specimens, tie plates were welded transversely to the steel angles.
bOne-piece rectangular hoops with end seismic hooks were used.
cϕ16 shear studs were welded to each leg of the steel angle at a spacing of 200 mm.

© ASCE 04016001-5 J. Struct. Eng.

 J. Struct. Eng., 04016001 

D
ow

nl
oa

de
d 

fr
om

 a
sc

el
ib

ra
ry

.o
rg

 b
y 

U
ni

ve
rs

ity
 o

f 
C

al
if

or
ni

a,
 S

an
 D

ie
go

 o
n 

01
/0

6/
16

. C
op

yr
ig

ht
 A

SC
E

. F
or

 p
er

so
na

l u
se

 o
nl

y;
 a

ll 
ri

gh
ts

 r
es

er
ve

d.



hoops. For the hoops, octagonal continuous hoops replaced the
welded rectangular hoops. By using the continuous hoops, con-
structability can be improved [Fig. 6(c)], and lateral confinement
for the concrete can be enhanced without anchorage failure of
the hoops. Further, by using the thicker cover concrete at the cor-
ners of the cross section, spalling of the cover concrete can be
restrained.

In C3, for the bond between the angle and concrete, ϕ16 shear
studs were welded to each angles at a spacing of 200 mm. In C4,
shear studs were not used. Instead, the angles were welded to eight
tie plates of PL-130 × 250 × 10 at the top and bottom of the col-
umn [fillet weld length ¼ 250 mm each, Fig. 6(d)]. The tie plates
were used to provide a bond between the angles and the concrete.

Materials and Testing Method

At the day of the cyclic load test, the concrete strength was
f 0
c ¼ 23.3 MPa. The yield and tensile strengths were Fy ¼

402 MPa and Fu ¼ 577 MPa for H-150 × 150 × 6 × 9, Fy ¼
477 MPa and Fu ¼ 535 MPa for L-75 × 75 × 6, Fy ¼ 434 MPa
and Fu ¼ 544 MPa for PL-130 × 250 × 10, fy ¼ 520 MPa and
fu ¼ 629 MPa for D19 bars, and fy ¼ 518 MPa and fu ¼
646 MPa for D13 bars, respectively. The tensile strength was fu ¼
440 MPa for ϕ16 studs. The reinforcing bars used for the tests were
weldable deformed bars specified in the Korean Building Code
(AIK 2009). In C2, flare-bevel-groove welding was used for the
connection between the steel sections and reinforcing bars, follow-
ing the weld joint details and welding method specified in ANSI/
AWS D1.4 (AWS 1998). YFW-C50DR electrodes (FEXX ¼
584 MPa and CVN 86 J at 0°C) were used for the welding. The
same electrode was used for tack welding between the angles and
continuous hoops in C3 and C4. Preheating of base metals was
not used.

Fig. 7 shows the setup of the cyclic lateral loading test. Two oil
jacks were used to apply a uniform axial load of N ¼ 800 kN

(¼ 0.224Agf 0
c, Ag = gross area of column section, f 0

c = concrete
strength). A cyclic lateral load was applied using an actuator at
1,500 mm from the column bottom. The cyclic loading protocol
was planned according to AISC 360-10 (AISC 2010). Deforma-
tions were measured at the loading point and the plastic hinge
zones. Strain gauges were used to measure the strains of steel
angles and transverse hoop bars.

Test Results and Discussions (Load-Displacement
Relationship and Damage)

Fig. 8 shows the lateral load–drift ratio (P-δ) relationships of the
specimens. The lateral drift ratio was calculated by dividing the net
lateral displacement at the loading point by the effective column

(a) (b) (c) (d)

Fig. 6. Dimensions and details of cyclic loading test specimens (mm): (a) C1; (b); C2; (c) C3; (d) C4

Fig. 7. Test setup of cyclic loading tests
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height (= 1,500 mm). The peak strength Pu, yield drift ratio δy,
ultimate drift ratio δu, and ductility ratio μ of each specimen are
presented in Table 4. As shown in Fig. 8(f), the yield stiffness
Ky was defined as the slope corresponding to 0.75Pu (Park 1988).
The yield drift ratio δy was calculated as δy ¼ Pu=ðKyHeÞ, in
which He is the shear span length of the specimens (= 1,500 mm).
The ultimate drift ratio δu was defined as the post-peak drift ratio

corresponding to 0.75Pu. Fig. 9 shows the damage in the plastic
hinge regions of the specimens at the end of the tests.

Figs. 8(a) and 9(a) show the test result of the conventional CES
specimen, C1. After the peak strength Pu ¼ þ202 kN at δ ¼ 2.0%,
the load-carrying capacity gradually decreased. Although spalling
of the cover concrete occurred at δ ¼ 3.0–4.0% in the plastic hinge
region, the load-carrying capacity was not significantly decreased.

(a) (b) (c)

(d) (e) (f)

Fig. 8. Lateral load-drift ratio relationships of specimens: (a) C1; (b) C2; (c) C3; (d) C4; (e) envelope curves; (f) definition of yield and maximum
drift ratio

Table 4. Summary of Cyclic Loading Test Results

Specimens

Test strength,
Pu (kN)

Yield drift ratio,
δy (%)

Maximum drift ratio,
δu (%)

Nominal
strength,
Pno (kN)

Yield stiffness,
Ky (kN=mm)

Ductility,
μ (¼ δu=δy)

Positive Negative Positive Negative Positive Negative Positive Negative Positive Negative

C1 þ202 −203 þ0.98 −0.93 þ6.01 −6.01 199 13.8 (+) 14.5 (−) 6.13 (+) 6.46 (−)
C2 þ243 −236 þ1.00 −0.96 þ3.98 −4.60 234 16.1 (+) 16.3 (−) 3.98 (+) 4.79 (−)
C3 þ183 −191 þ0.85 −1.17 þ4.81 −5.12 197 14.4 (+) 10.9 (−) 5.66 (+) 4.38 (−)
C4 þ186 −187 þ0.80 −0.85 þ5.00 −5.01 197 15.4 (+) 14.7 (−) 6.25 (+) 5.89 (−)

(a) (b) (c) (d)

(e) (f) (g) (h)

Fig. 9. Damage in plastic hinge regions (cyclic loading tests): (a) C1: 4.0%; (b) C1: 7.0%; (c) C2: 3.0%; (d) C2: 5.0%; (e) C3: 3.0%; (f) C3: 6.0%;
(g) C4: 3.0%; (h) C4: 6.0%
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However, after the spalling of the cover concrete, post-yield buck-
ling occurred in the longitudinal D19 bars. Ultimately, C1 failed at
δ ¼ 7.0% because of a low cycle fatigue fracture of the longitudinal
D19 bars [Fig. 9(b)].

In the PSRC specimen C2, the peak strength was increased to
Pu ¼ þ243 kN at δ ¼ 2.0%, because of the higher yield strength
and the location of the steel angles [Fig. 8(b)]. In Fig. 9(c), at
δ ¼ 3.0%, spalling of the cover concrete occurred, and significant
shear cracks occurred in the plastic hinge region because of the
increased shear demand. At δ ¼ 5.0%, the angles and transverse
bars were exposed because of the spalling of cover concrete
[Fig. 9(d)]. The exposed angles and longitudinal D19 bars were
subjected to local buckling during repeated cyclic loading. As a
result, the load-carrying capacity of C2 was degraded. However,
despite the local buckling of angles and longitudinal bars, tensile
fracture did not occur at the weld joint between the angles and
transverse bars.

In C3 and C4, where the steel angles were embedded in the core
concrete, the peak strengths were significantly decreased to Pu ¼
183–191 kN because of the reduced moment arm length of the an-
gles compared to that of C2 [Figs. 8(c and d)]. However, in actual
columns with large dimensions, the difference in the moment arm
length between the C2-type column and C3-type column is not
expected to be large. At δ ¼ 3.0%, spalling of the cover concrete
occurred in the plastic hinge region [Figs. 9(e and g)]. However,
because of the decreased shear demand (i.e., the decreased peak
strength), shear cracking of C3 and C4 was not as significant as
that of C2. C3 and C4 exhibited stable cyclic behavior without sig-
nificant strength and stiffness degradations until large inelastic drift
ratios greater than δ ¼ 5.0% [Figs. 9(f and h)]. Three possible rea-
sons can explain the enhanced deformation capacity of C3 and C4:
(1) the peak strength was less than that of C2; (2) the thickness of
the cover concrete was greater and the buckling and bond-slip of
the angles were thus more restrained; and (3) the continuous hoops
provide better lateral confinement for the concrete (Mander et al.
1988; Hoshikuma et al. 1997). Ultimately, C3 and C4 failed at δ ¼
5.0% because of buckling of the angles and longitudinal bars, and
subsequent crushing of the confined concrete.

Strains of Steel Angles and Transverse Hoops

Fig. 10 shows the longitudinal strains of the steel angles in C2–C4.
The strains were measured from strain gauges located at the heights
of 0 and 200 mm from the column base. In Fig. 10(a), the strain of
C2 measured at the column base increased in proportion to the drift
ratios until δ ¼ 3.0%. However, the strain began to decrease as the
buckling of angles occurred. Figs. 10(b and c) show the angle
strains of C3 measured at the column base and a height of 200 mm,
respectively. Fig. 10(b) shows that the strain at the column base

increased proportionally to the lateral drift ratios, showing rela-
tively large energy dissipation. On the other hand, in Fig. 10(c),
the strain measured at 200 mm from the column base significantly
decreased at δ ¼ 5.0% because of buckling of the angles, showing
a small residual strength during the subsequent load cycles. Due to
the buckling of the angles, the strain at the column base also
showed a small value. Fig. 10(d) shows that the strain of the angle
in C4 at the column base was very close to that of C3 shown in
Fig. 10(b). However, the maximum and minimum values of the
angle strain in C4 were slightly less than those of C3. The reduced
angle strain of C4 is attributed to the bond-slip of the angles em-
bedded in concrete: In C4, shear studs were not used for the angles;
thus, the bond-slip at the interface between the angles and concrete
was unavoidable, although the effect of the bond-slip on the overall
cyclic behavior was not significant [Fig. 8(d)].

Fig. 11 shows the strains of the transverse bars measured at
50 mm from the column base. The bar strain of the conventional
CES specimen C1 was the smallest. This is because the shear force
applied to the steel section was resisted by the web of the steel sec-
tion, rather than by the transverse bars. In contrast, the bar strain of
the PSRC specimen C2 was the greatest, and larger than the yield
strain [Fig. 11(b)]. In the PSRC columns, transverse hoops should
provide shear resistance as well as concrete confinement. Further,
the shear demand of C2 was 20% greater than that of C1. Therefore,
the bar strain of C2 was significantly increased. As shown in
Figs. 11(c and d), the bar strains of C3 and C4 were less than that
of C2 and the yield strain. This is because the shear demands were
25% less than that of C2. This test result indicates that in PSRC
columns, the hoops should be sufficiently closely spaced to provide
shear resistance and lateral confinement.

Yield Stiffness

Table 4 presents the yield stiffness Ky of the specimens. As shown
in Fig. 8(f), the yield stiffness Ky was defined by dividing the peak
strength Pu by the yield displacementΔy (¼ δyHe). The yield stiff-
ness of the PSRC specimen C2 (Ky ¼ 16.1 and 16.3 kN=mm) was
on average 14.6% greater than that of the CES specimen C1
(Ky ¼ 13.8 and 14.5 kN=mm). This is because the angles placed
at the corners of the cross section increased the flexural stiffness of
C2. However, in C3 and C4, where the angle sections were rotated
180 degrees, the yield stiffness was equivalent to that of C1. The
yield stiffness of C4 without shear studs was comparable to that of
C3 with shear studs.

Deformation Capacity

Table 4 presents the maximum drift ratios δu and ductility ratios
μ (¼ δu=δy) of C1–C4. The maximum drift ratios δu and ductility

(a) (b) (c) (d)

Fig. 10. Strains of steel angles: (a) C2; (b) C3, measured at the base; (c) C3, measured at a height of 200 mm; (d) C4
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ratios μ (¼ δu=δy) of the specimens exceeded 3.98% and 3.98,
respectively, which indicates that despite the compression force
N ¼ 800 kN (¼ 0.224Agf 0

c), the specimens exhibited relatively
high deformation capacities. However, the deformation capacity of
each specimen was significantly affected by the type and arrange-
ment of steel sections, as follows.

C1 with H-section exhibited the greatest deformation capacity,
δu ¼ 6.01%. On the other hand, PSRC specimen C2 with welded
transverse hoops exhibited the least deformation capacity (δu ¼
3.98%). The lower deformation capacity of C2 is attributed to
the following: (1) the high peak strength increased the demand
forces for the bond and shear, increasing the diagonal cracks and
concrete damages in the plastic hinge region [Fig. 11(b)]; (2) after
spalling of the cover concrete, the bond strength between the angles
and concrete significantly decreased as the bearing capacity of the
cover concrete decreased (Eom et al. 2014); and (3) after the spall-
ing of cover concrete, the steel angles were susceptible to buckling
under repeated cyclic loading.

On the other hand, in PSRC specimens C3 and C4, the angles
were embedded in the concrete confined with the continuous
hoops. Thus, even after the spalling of cover concrete, the bond
deterioration and local buckling of the angles were restrained.
As a result, the deformation capacities of C3 and C4 (δu ¼ 4.81
and 5.00%) were greater than that of C2.

Energy Dissipation Capacity

Fig. 12 shows the variation of energy dissipation capacity accord-
ing to the lateral drift ratio. In Fig. 12(a), the energy dissipation per
load cycle, ED, was defined as the area enclosed by a full cyclic
curve of the second load cycle. C2 exhibited the greatest ED values

until δ ¼ 4.0% because of the greater load-carrying capacity. After
δ ¼ 4.0%, however, the increase rate of ED significantly decreased.
On the other hand, in C1, C3, and C4 with the greater deformation
capacities, ED values increased proportionally to the lateral drift
ratio until δ ¼ 5.0%. C1 shows the greatest ED value. Fig. 12(b)
shows the energy dissipation ratios κ at each drift level. κ was de-
fined as the ratio of the actual energy dissipation ED per load cycle
[i.e., ED values in Fig. 12(a)] to the idealized elastic–perfectly plas-
tic energy dissipation Eep∶κ ¼ ED=Eep. As shown in Fig. 12(b),
the κ values ranged from 0.12 to 0.6 and increased in proportion
to the lateral drift ratios.

Verification of Structural Capacity of PSRC Columns

Load-Carrying Capacity

The lateral load-carrying capacities of C1–C4 were evaluated ac-
cording to AISC 360-10 (AISC 2010). First, the nominal flexural
strength Mn was calculated from section analysis considering the
effect of compression force N ¼ 800 kN (¼ 0.224Agf 0

c). The plas-
tic stress distribution method specified in AISC 360-10 was used
for the section analysis. The lateral load-carrying capacity was then
calculated as Pno ¼ Mn=He (He ¼ 1,500 mm). Because the col-
umn specimens were subjected to compression force N ¼ 800 kN,
the actual lateral load-carrying capacity was decreased by the
second-order effect. Therefore, the nominal strength Pn was calcu-
lated as follows:

Pn ¼ Pno − Nδ ð12Þ
in which δ = lateral drift ratio of the specimens.

(a) (b) (c) (d)

Fig. 11. Strains of transverse bars: (a) C1; (b) C2; (c) C3; (d) C4

(a) (b)

Fig. 12. Energy dissipation per load cycle
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The lateral load-carrying capacities, Pno and Pn, of the speci-
mens are presented as the dotted lines in Figs. 8(a–d). The predicted
strengths, Pn, decreased as the lateral drift ratio increased because
of the second-order effect. The predictions correlated well with the
test results. This result indicates that the flexure-compression
strength of the PSRC columns can be successfully predicted ac-
cording to AISC 360-10 (AISC 2010).

Although the same steel ratio (= 2.2%) was used for C1–C4, the
load-carrying capacity was significantly affected by the type and
arrangement of the steel sections. The PSRC specimen C2, which
had four angles at the corners of the cross section, showed the great-
est strengths. In C3 and C4, the test strengths and predicted strengths
were about 20% less than that of C2 because the centroid of the steel
angles was positioned closer to the center of the cross section. The
load-carrying capacity of the CES specimen C1 was about 16% less
than that of C2. The lower strength of C1 is attributed to the location
and lower yield strength of the H-section. The yield strength
(Fy ¼ 402 MPa) of the H-section in C1 was less than that of the
angles (477 MPa) in C2, which accounted for a 7.4% decrease in
the strength. By placing the H-section at the center of the cross sec-
tion, the strength was again decreased by 8.6%. If a flexural moment
is applied to the weak axis, the load-carrying capacity of C1 is further
decreased, which is about 25% less than that of C2.

Shear Strength

The shear resistance of PSRC columns is provided by concrete,
transverse bars, and steel angles. Because the dimensions of the
angle cross section are significantly less than those of the entire
cross section, the contribution of the angles can be neglected
(Eom et al. 2014). Therefore, according to ACI 318-11 (ACI
2011), the nominal shear strength Vn of the PSRC columns is cal-
culated, considering the contributions of concrete and transverse
bars

Vn ¼
1

6

ffiffiffiffiffi
f 0
c

p
bdþ Ashfyh

d
s
≤ 5

6

ffiffiffiffiffi
f 0
c

p
bd ð13Þ

in which b = width of the cross section; d = effective depth of the
cross section (i.e., distance from the end of the concrete compres-
sion zone to the geometric center of the tension angles); and Ash,
fyh, and s = area, yield stress, and spacing of the transverse bars,
respectively.

In all specimens, the nominal shear strengths predicted using
Eq. (13) were greater than the shear demand (Vn=Vu ¼ 2.02 for
C1, 2.25 for C2, 2.13 for C3, and 2.18 for C4). For this reason,
shear failure did not occur in the test specimens.

Bond Resistance

Eom et al. (2014) investigated the bond resistance Tbn1 between
steel angle and concrete, which is provided by the bearing action
of the transverse bars welded to the angle. In the present study, in
addition to the bearing strength Tbn1, the friction bond strength
Tbn2 (CEB-FIP 1993) and shear stud strength Tbn3 [Specimen
C3, AIK 2009; AISC 360-10 (AISC 2010)] were considered

Tbn1 ¼ 2

�
0.85f 0

cð2dbhlwhÞ
�
ls
s

��
ð14Þ

Tbn2 ¼ 0.05
ffiffiffiffiffi
f 0
c

p
DAls ð15Þ

Tbn3 ¼ 0.5Asc

ffiffiffiffiffiffiffiffiffiffi
f 0
cEc

p
ns ð16Þ

in which dbh = diameter of a transverse bar; lwh = weld length of a
transverse bar; ls = shear span of the PSRC column (i.e., distance
between the critical section and the zero-moment location); DA =
circumference of an angle; Asc = section area of a stud; and ns = the
number of studs in length ls. In Eq. (15), the friction bond stress
between the angle and concrete was defined as 0.05

ffiffiffiffiffi
f 0
c

p
, consid-

ering the smooth surfaces of the angle (CEB-FIP 1993). To restrain
the bond-slip of the angle, the nominal bond strength Tbn should be
greater than the bond demand Tbu ¼ 536 kN, which was defined as
1.3 times the yield strength of the angle, addressing the cyclic strain
hardening (¼ 1.3AsaFy; Asa = area of the angle section; Eom et al.
2014). The nominal bond strength Tbn was defined as the maxi-
mum between Tbn1, Tbn2, and Tbn3 [AIK 2009; AISC 360 (AISC
2010)].

For C2, C3, and C4, Tbn1 was calculated as 721 kN, 62 kN, and
62 kN, respectively. Tbn2 ¼ 26 kN for C2, C3, and C4. Tbn3 ¼
579 kN for C3 (Table 5). Thus, the bond strengths Tbn were esti-
mated as 721, 579, and 62 kN for C2, C3, and C4, respectively. In
C2 and C3 with the sufficient strengths (Tbn=Tbu ¼ 1.35 for C2,
and 1.08 for C3), the bond-slip of the angle was restrained. In C4
with the insufficient bond strength of Tbn=Tbu ¼ 0.12, local bond
slip of the angles was unavoidable. Nevertheless, the lateral load-
drift relationship was equivalent to that of C3 with sufficient bond
strength. This is because the tie plates at the top and bottom of the
column were able to transfer the horizontal shear that was required
to develop the tension and compression forces of the steel angles.
For the shear transfer, tie plates should be provided at the locations
of the maximum and minimum forces of the steel angles.

Summary and Conclusions

In the present study, to investigate the structural capacities of PSRC
columns with various details, compression tests and cyclic lateral
loading tests were performed. From the test results, the load-carrying
capacity, deformation capacity, failure mode, and energy dissipation
capacity of the specimens were investigated. The results of the com-
pression test are summarized as follows:
1. In the PSRC specimens (S2–S6) with welded rectangular hoops,

the axial load-carrying capacity and deformation capacity were
comparable to, or even better than, those of the conventional
CES specimen (S1). The axial load-carrying capacities pre-
dicted by AISC 360-10 correlated well with the test results. This
result indicates that under pure axial loading, the corner angles
and the welded hoops provided adequate lateral confinement to
the concrete.

2. However, to prevent early spalling of cover concrete at the cor-
ners of the cross-section, closely spaced hoops should be pro-
vided. It is recommended that under high axial compression, the
vertical spacing of hoops is decreased to s ¼ 0.25hmin, which is
less than the requirement of AISC, 0.5hmin. Otherwise, addi-
tional corner ties surrounding the angle may be required, to
restrain early spalling of the cover concrete.

Table 5. Evaluation of Bond Strength

Specimens

Bond capacity

Tbn1 (kN) Tbn2 (kN) Tbn3 (kN) Tbn Tbn=Tbu

C2 721 26 — 721 1.35
C3 62 26 579 579 1.08
C4 62 26 — 62 0.12

Note: dbh ¼ 13 mm; ls ¼ 1,500 mm; and lwh ¼ 70 mm (C2) and 6 mm
(C3 and C4).
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The results of the cyclic loading tests are summarized as
follows:
1. Under cyclic lateral loading (uniform compression of

0.22f 0
cAg), the PSRC specimens (C2–C4) showed deformation

capacities of δu ¼ 4–5%, which were less than δu ¼ 6% of the
conventional CES specimen (C1).

2. The lower deformation capacity of the PSRC columns is attrib-
uted to the following reasons: (1) relatively large plastic strains
occur in the corner steel angles; (2) after spalling of the cover
concrete, the exposed steel angles are susceptible to local
buckling; and (3) the shear demand of the transverse reinforce-
ment increases.

3. The PSRC column C2, which had hoops welded to the corner
angles without shear connectors, showed the lowest ductility.
On the other hand, the PSRC columns C3 and C4, which had
thicker cover concrete at the corners of the cross-sections, shear
connectors (or tie plates), and continuous hoops, showed better
deformation capacities. This result indicates that when high
ductility is required, the steel angles need to be embedded in
the core concrete using thicker cover concrete and hoops.

4. The lateral load-carrying capacity of the PSRC columns pre-
dicted by AISC 360-10 correlated well with the test strengths.

5. The hoop spacing is recommended to be at least s ¼ 0.375hmin,
which is less than the minimum requirement for conventional
CES columns (¼ 0.5hmin). For more reliable performance,
the hoop spacing may be decreased to s ¼ 0.25hmin, which is
the recommendation resulting from the pure compression test.
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