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In the performance assessment of typical existing buildings, seismic collapse safety might be significantly
affected by non-linear behavior of joints that are involved in the failure mechanism, especially if they are
characterized by poor structural detailing such as the lack of an adequate transverse reinforcement in the
joint panel.
Unfortunately, commonly accepted tools to assess existing joints capacity are not available. Few

reliable approaches for modeling all sources of nonlinearity are proposed in literature for poorly designed
beam–column joints because of relatively poor information from experimental tests.
The present study aims at improving the understanding of seismic performance of exterior joints

without transverse reinforcement in existing RC buildings through experimental tests.
Two full-scale exterior unreinforced beam–column joint sub-assemblages are tested under cyclic

loading. The specimens are reinforced with deformed bars but they are different for beam longitudinal
reinforcement ratio. Two different kinds of joint failure are expected, with or without the yielding of
the adjacent beam. Strain gauges located on beam bars and displacement transducers on the joint panel
allow the complete definition of both the main deformability contributions, namely fixed-end-rotation
and shear strain of joint panel, highlighting the differences between failure modes.
Design criteria, adopted setup and experimental results are described and discussed. Finally,

experimental results are compared with proposals from literature in terms of shear strength.
� 2016 Elsevier Ltd. All rights reserved.
1. Introduction

Reinforced Concrete (RC) buildings designed for gravity loads
only or according to obsolete seismic codes are widespread in
Italian and Mediterranean building stock. For these buildings,
beam–column joints represent a critical issue; the lack of capacity
design principles leads to a low shear strength of the joint, poten-
tially leading to a shear failure that limits the deformation capacity
of adjoining beams and/or columns [1,2].

Past earthquakes showed that shear failure in beam–column
joints can lead to building collapse [3], which often can be attribu-
ted to inadequate joint confinement. In recent earthquakes (e.g.,
Izmit 1999 [4], Tehuacan 1999 [5], Chi-Chi 1999 [6]), the inade-
quacy of building joints designed according to older standards
was one of the main causes of severe damage or collapses. In par-
ticular, the observation of damage after L’Aquila earthquake (2009)
indicated that RC buildings designed in Italy before the mid-1990s
may have serious structural deficiencies especially in joint regions,
mainly due to a lack of capacity design approach and/or poor
detailing of reinforcement [7].

A significant amount of experimental research about seismic
performance of RC beam–column joints has been carried out in
the last forty years. The majority of the research literature has
emphasized the improvement of the performance of RC beam–
column joints through new design concepts and improved details,
such as joint hoops or improved anchorage. Only in last years, an
increasing interest about the analysis of unreinforced beam–
column joints developed. In particular, experimental research is
focused above all on exterior unreinforced joints [8], mainly due
to the higher seismic vulnerability of this joint typology with
respect to interior joints [9]. Two main goals are pursued in these
experimental studies: (i) to assess seismic performance of unrein-
forced beam–column joints in ‘‘as-built” condition (for instance
[10–13]); (ii) to evaluate the effectiveness of possible retrofitting
strategies, such as the adoption of fiber-reinforced polymer
materials [14–16], RC or steel jacketing [17–19], or post-installed
anchors [20].
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In literature [21–24], comprehensive experimental databases of
unreinforced exterior RC joints have been presented and discussed.
In most of these tests, researchers focused their attention on joint
shear strength and on the influence of several key parameters on
this strength. In particular, generally investigated parameters are
geometric parameters (for instance, the joint aspect ratio) or
mechanical parameters (such as axial load ratio, concrete compres-
sive strength, and longitudinal reinforcement ratio). Vice-versa, the
number of experimental studies focused on (i) the main deforma-
bility sources due to joint, (ii) their contribution to the overall
deformability, or (iii) local shear response of the joint panel is quite
smaller. Nevertheless, a complete characterization of all the
deformability contributions due to joints is paramount to under-
stand the role of beam–column joints, not only in terms of
strength, on nonlinear response of RC frames. Furthermore, a com-
plete evaluation of joint local response allows properly modeling
these elements into structural models for analysis of non-
conforming RC frames.

This study aims at improving the understanding of seismic per-
formance of unreinforced exterior joints in existing RC buildings,
investigating on the influence of longitudinal reinforcement ratio
on the joint shear strength, on one hand, and on the deformability
contributions ascribable to the joint region on the response of the
sub-assemblages, on the other hand. Two experimental tests on
unreinforced exterior joints, without transverse beam, are tested
under cyclic loading. The joint specimens are designed according
to code prescriptions and design practices in force in Italy between
1970s and 1990s. Two distinct failure modes are expected: a joint
shear failure prior to beam yielding (hereinafter referred to as J
failure mode) and a joint shear failure following beam yielding
(hereinafter referred to as BJ failure mode). The global experimen-
tal response and the evolution of observed damage are presented.
The main deformation mechanisms of the RC joint region are dis-
cussed, and their contribution to the overall deformability is inves-
tigated. Moreover, local shear stress–strain response of joint panel
is evaluated. Finally, main joint shear strength models existing in
literature or codes are compared with experimental results.

The tests presented herein can provide a useful contribution to
enhance the quite poor experimental database of unreinforced
exterior joints, with respect to the corresponding database of rein-
forced exterior joints [8], and to better investigate about local
response, not always analyzed in tests from literature.
2. Experimental program and setup

2.1. Specimens description

Two full-scale exterior unreinforced beam–column joint sub-
assemblages (Fig. 1) have been tested under cyclic loading. The
two tests are identical for geometry. Beam rectangular sectional
area is 50 cm high (hb = 50 cm) and 30 cm depth (bb = 30 cm). Col-
umns (top and bottom) have a square sectional area with height
(hc) equal to 30 cm. Column length was designed to be representa-
tive of typical interstorey height (3.40 m), and column shear length
(Lc) is equal to 1.45 m. The beam length (up to the centerline of the
column) is equal to 1.80 m, and its shear length is Lb = 1.65 m.

As shown in Fig. 1, in Test #1 the beam is symmetrically rein-
forced with 4 / 20 bars for both reinforcement layers (correspond-
ing to compression and tension reinforcement ratios equal to
q0 = q = 0.84%); also the column is symmetrically reinforced with
4 / 20 bars in top and bottom layers, corresponding to a total rein-
forcement ratio (q0 + q) equal to 2.79%.

In Test #2, the beam is symmetrically reinforced with 4 / 12
bars (corresponding to compression and tension reinforcement
ratios equal to q0 = q = 0.30%); also the column is symmetrically
reinforced with 4 / 12 bars, corresponding to a total reinforcement
ratio (q0 + q) equal to 1.01%.

In both cases, ends of top and bottom beam longitudinal bars
are bent at 90� into the joint core for a length of 20 cm. The trans-
verse reinforcement consists of 8 mm diameter closed stirrups
with both ends bent at 90� and 10 cm long. The stirrups are spaced
at 10 cm along the beam and the column except within 62 cm of
beam and column end, where the spacing is reduced to 5 cm to
give adequate strength at the location where forces are applied
during the test. The longitudinal reinforcement in the column
extends continuously up through the joint from the bottom to
the top of the column. The test unit reinforcement cages were con-
structed as shown in Fig. 1 and cast in place horizontally (see
Fig. 2). A high-frequency vibrator was used to consolidate the con-
crete. Each test unit was allowed to cure for at least 72 h before
they were removed from the forms.
2.2. Materials

Concrete compressive strength for all specimens was evaluated
on four 15 � 15 � 15 cm3 cubic samples (CSs) of the casted con-
crete. Values of 28-day cylindrical strength for each CS and their
mean value are reported in Table 1. Commercial typology of the
adopted reinforcing steel is B450C, i.e., class C reinforcement with
fyk = 450 MPa according to Annex C provisions of Eurocode 2 (EN
1992-1-1:2004 – Annex C) [25]. Steel typology B450C shows
mechanical properties that can be assimilated to FeB44k typology,
widespread in Italy between 1970s and 1990s. Tensile tests were
carried out on three samples for each bar diameter. Table 2 reports
mean values of their mechanical properties, namely yield strength
(fy), ultimate strength (ft) and hardening ratio (ft/fy).
2.3. Design of specimens

Geometry and longitudinal reinforcement in beam and columns
are defined by means of a simulated design procedure [26] of a
perimeter 4-storey 5-bay frame according to code prescriptions
and design practices in force in Italy between 1970s and 1990s.
In particular, the analyzed specimens are intended to be represen-
tative of exterior joints of the first floor of such a frame. The spec-
imen named Test #1 is related to a frame designed according to
seismic prescriptions (for high seismicity level), in compliance
with the Italian codes [27–29]. The specimen named Test #2 is
related to a frame designed for gravity loads only.

Beam longitudinal reinforcement (As,b) is defined on the basis of
flexural demand obtained from the simulated design, assuming an
allowable stress for steel equal to 220 MPa (corresponding to a
steel typology named FeB38k or FeB44k, commonly adopted in
Italy in 70s–90s). Minimum amount of longitudinal reinforcement
required in columns is slightly modified with respect to the simu-
lated design and a weak beam–strong column hierarchy is
obtained. Column axial load corresponding to gravity loads only
is equal to 260 kN.

Transverse reinforcement in beam and columns was designed
to avoid shear failure, in order to not preclude joint shear failure;
whereas no transverse reinforcement was located in the joint panel
zone, in compliance with code prescriptions in force in the refer-
ence time assumed for design.

Based on the adopted design practice and material mechanical
properties, two failure modes are expected: a joint shear failure
prior to beam yielding, for Test #1, and a joint shear failure follow-
ing beam yielding, for Test #2.

According to ASCE/SEI 41 [9] a joint shear strength (Vjh,max)
equal to 241.5 kN has been calculated, corresponding to a joint
shear stress (sj) equal to 2.68 MPa. On the other hand, joint shear



Fig. 1. Geometry and reinforcement details.

Fig. 2. Construction of specimens.
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Table 1
Properties of concrete.

Cubic sample Cylindrical compressive strength (fc) (MPa)

CS1 27.2
CS2 29.2
CS3 31.2
CS4 27.4

Mean 28.8

Table 2
Properties of steel.

Diameter (mm) Yield strength
(fy) (MPa)

Ultimate strength
(ft) (MPa)

Hardening
ratio (ft/fy) (–)

20 487 596 1.22
12 459 560 1.22
8 492 607 1.23
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demand at beam yielding (Vjh,yield) is calculated, on the basis of
equilibrium equation, as

V jh;yield ¼ As;bf y � As;bf y � ð0:9dÞ � ½1þ hc=ð2LbÞ�=ð2Lc þ hbÞ

where d is the beam effective depth.
In particular, Vjh,yield is equal to 530.4 kN (>Vjh,max) for Test #1,

and 179.7 kN (<Vjh,max) for Test #2. Joint shear stresses correspond-
ing to Vjh,max are equal to 5.87 MPa and 2.00 MPa, respectively.

2.4. Test setup

A schematic of the loading apparatus is shown in Fig. 3(a). The
column was mounted horizontally with pinned supports at both
ends and the specimen was constrained to the strong floor by
means of two rigid steel frames. Steel spherical hinges were placed
between the beam end and the floor to avoid friction and to allow
tip beam free movement. The axial load (N) was applied in load
control using a small hydraulic jack and transferred to the column
through four pre-stressed rods connected to strong steel plates
located on the top and bottom of the column. In particular, a con-
stant value of axial load equal to N = 260 kN (corresponding to an
axial load ratio equal to m = 0.10) was applied.

A hydraulic actuator applied the lateral load in displacement
control at the end of the beam by means of a loading collar. A load
cell between the hydraulic actuator and the loading collar mea-
sured the quasi-static cyclic load applied to the beam. The actuator
was pinned at the end to allow rotation during the test.

Twelve Linear Potentiometer sensors (LPs) adopted to measure
joint shear strain and fixed-end-rotations were located in the joint
panel along longitudinal reinforcement layers of beam and column
and along the diagonals of the joint panels, as shown in Fig. 3(b). A
wire potentiometer was placed at the end of the beam to measure
beam deflection.

Strains in beam longitudinal reinforcement were measured, too,
by means of six strain gauges (sgs) located as shown in Fig. 3(c)
(three on a bar in the top layer and three on a bar in the bottom
layer). Two additional Linear Variable Displacement Transducers
(LVDTs) located along beam depth were used in Test #2 in order
to have a more reliable measure of beam fixed-end-rotation contri-
bution. Fig. 4 shows a photo of test setup (a) and joint panel zone (b).

2.5. Load pattern

Before beginning each test, the axial load was slowly applied to
the column until the appropriate level was achieved. Then, the lat-
eral load was applied cyclically, in a quasi-static way, at the end of
the beam. The loading procedure consisted of displacement-
controlled steps beginning at a 0.25% drift followed by steps of
0.50%, 0.75%, 1.00%, 1.50%, 2.00%, 3.00%, 4.00% and 6.00% drift. Each
drift step consisted of 3 cycles of push and pull.

The term drift (D) represents the ratio between the imposed dis-
placement and beam length (from the loaded end to the column
centerline), namely, drift is equal to Db/(Lb + hc/2) and corresponds
to the story drift [30].

The convention on signs adopted herein for drift and beam load
(Vb), and the related local response (joint shear strain, cjoint, rota-
tion at the beam/joint interface, hs,b, and rotation at the column/
joint interface, hs,c – analyzed later in Section 4) is reported in
Fig. 5.
3. Experimental results

In this section, lateral load–displacement response of tested
specimens is analyzed, and the evolution of observed damage with
increasing imposed displacement is described.

3.1. Global response

3.1.1. Test #1
The results in terms of beam lateral load versus drift response

related to Test #1 are reported in Fig. 6(a), where experimental
response appears quite symmetric during the push–pull cycles.
The initial uncracked stiffness is equal to 15.0 kN/mm. Such a stiff-
ness slightly decreased up to 12.7 kN/mm in the first millimeter of
displacement applied to the beam end, and showed a more signif-
icant reduction when the applied drift ranged between 0.50% and
0.75%, when first joint panel cracking occurred.

Peak load was reached for a drift equal to 1.40% for positive
loading direction and �1.38% for negative loading direction. Peak
values of beam lateral load were 74.0 kN and �72.4 kN, respec-
tively for positive and negative loading direction. Since beam yield-
ing (evaluated through a section analysis) was expected to occur
for a beam lateral load value of 155.6 kN, such a test can be classi-
fied as J-failure, i.e., joint shear failure occurring before yielding of
the beam. Such a classification was confirmed by the measures of
bar strains provided by the strain gauges.

The post-peak phase, controlled by joint failure, is characterized
by a gradual degradation with a softening stiffness (calculated on
the envelope of first cycles) equal to about �4% of the initial
uncracked stiffness.

When the test was interrupted (first cycle at 6.00% drift), the
strength reduction was equal to 47% and 53% of the peak load,
in positive and negative direction, respectively, as reported in
Fig. 6(c).

3.1.2. Test #2
The results in terms of beam lateral load versus drift response

related to Test #2 are reported in Fig. 6(b). Also in this case, exper-
imental response appears quite symmetric during the push–pull
cycles. Test #2 exhibited an initial uncracked stiffness equal to
15.1 kN/mm. Such a stiffness decreased up to 14.5 kN/mm in the
first millimeter of displacement applied to the beam end, and
showed a more significant reduction when the applied drift ranged
between 0.25% and 0.50%, when first cracks along beam–joint
interface started to occur (associated with a localized strength
reduction).

Peak load was reached for a drift equal to 0.88% for positive
loading direction and �0.69% for negative loading direction. Peak
values of beam lateral load were 58.3 kN and �54.0 kN, respec-
tively for positive and negative loading direction. Since beam yield-
ing (evaluated through a section analysis) was expected to occur



Fig. 3. Test setup (a), joint panel instrumentation (b) and strain gauges location (c).

Fig. 4. Test setup (a) and joint panel instrumentation (b).
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for a beam lateral load value of 52.9 kN, such a test can be classified
as BJ-failure, i.e., joint shear failure occurring after yielding of
beam. The yielding of beam section was confirmed by the mea-
sures of bar strains provided by the employed strain gauges. At
the same time, the peak load is lower than beam flexural strength
(65.5 kN), for both loading directions, confirming that peak
strength is limited by the achievement of joint shear failure.

The post-peak phase, controlled by joint failure, is characterized
by a gradual degradation with a softening stiffness (calculated on
the envelope of first cycles) equal to about �6% of the initial
uncracked stiffness.

Test #2 was interrupted when the third cycle at 2.00% drift was
fully completed, because a sudden elongation of the hydraulic jack
occurred, as it will be better explained later (Section 3.3). When the
test was interrupted (third cycle at 2.00% drift), the strength reduc-
tion was equal to 49% and 56% with respect to the peak load,
respectively in positive and negative directions, as reported in
Fig. 6(d). The strength reduction, evaluated at the first cycle at



Fig. 5. Convention on signs.

Fig. 6. Beam lateral load versus drift: cyclic response of Test #1 (a), cyclic response of Test #2 (b), envelope of Test #1 (c), envelope of Test #2 (d).

Table 3
‘‘Peak points” and yielding beam load.

V+
b,max (kN) Dpeak

+ (%) V�
b,max (kN) Dpeak

� (%) Vb,y (kN) Failure mode

Test #1 74.0 1.40 �72.4 �1.38 155.6 J
Test #2 58.3 0.88 �54.0 �0.69 52.9 BJ
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1 For interpretation of color in Fig. 14, the reader is referred to the web version of
this article.
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2.00% drift, was equal to 26% and 31% of the peak load, respectively
in positive and negative directions.

Peak values of beam lateral load for positive (V+
b,max) and nega-

tive (V�
b,max) loading directions and corresponding drifts are sum-

marized in Table 3, together with beam load values corresponding
to beam yielding (Vb,y). Finally, the ultimate drift, defined as the
drift at 20% drop in strength respect to the peak lateral load (eval-
uated on the envelope of the first cycles), is equal to 3.00% for Test
#1 and 1.80% for Test #2 (see Figs. 6(c) and 6(d)).

3.2. Observed damage

3.2.1. Test #1
Hairline cracks at beam–joint interface appeared at first loading

stages, namely already for 0.25% drift corresponding to a beam load
equal to 37 kN (predicted value for beam cracking was equal to
28 kN). First diagonal cracks in the joint panel started to appear
when a drift ratio equal to 0.50% was imposed, starting from corner
B (see Fig. 7), first innegative loadingdirection, at�60 kNbeamload,
and then in positive direction, for a beam load value of +54 kN.
Between 0.50% and 0.75% drift, diagonal cracks in the joint panel
occurred and spread along column longitudinal bars. At 3.00% drift,
existing cracks in the joint panel increased their width and concrete
cover spalling started to occur from corner C (see Fig. 7). Concrete
cover spallingwas completewhenadrift valueof 6.00%was reached.

In Fig. 7 the evolution of joint panel damage state is visually
reported and a more severe cracking pattern can be observed along
the diagonal A–D. Fig. 8 shows the final damage state of the spec-
imen. (i) the significant damage of joint panel, (ii) the spalling of
concrete cover away from the lateral side of joint; (iii) no buckling
of column longitudinal reinforcement in the joint region, and (iv) a
limited crack width at beam–joint interface can be noted. Table 4
summarizes the evolution of the observed damage for Test #1
described above.

Furthermore, in Fig. 9 the envelope (of the first cycles) of dis-
placement (dLP) measured by means of the LPs located along the
diagonals of the joint panel is reported versus the applied drift
level, for Test #1; elongation is taken as positive. Data are cut at
2.00% drift, when cracks significantly involved the support points
of LPs, causing unreliable measurements. LP 50-4 provides the
higher values of displacement (dLP) (up to about 7 mm at 2.00%
drift), consistent with the more significant cracking pattern of joint
panel along the diagonal A–D observed before (Fig. 7).

3.2.2. Test #2
Also in this case, first hairline cracks at beam–joint interface

appeared at early loading stage, namely already for 0.25% drift cor-
responding to a beam load equal to 29 kN (quite close to the pre-
dicted value for beam cracking, i.e., 23 kN). Slightly wider cracks
started to appear at beam–joint interface when a drift ratio equal
to 0.50% was imposed, as shown in Fig. 10.

When the drift value was equal to 1.00%, diagonal cracks in the
joint panel occurred and spread along column longitudinal bars,
first in negative loading direction, at �54 kN beam load, and then
in positive direction, for a beam load value of +49 kN. At 1.50%
drift, cracks at beam–joint interface increased progressively their
width, mainly due to fixed-end-rotation of the beam, and new
diagonal cracks appeared in the joint core. At 2.00% drift, existing
cracks significantly increased their width and buckling of longitu-
dinal bars of column and sudden complete cover spalling occurred
at the third cycle. In Fig. 10 the evolution of joint panel damage
state is visually reported, and a more severe cracking pattern can
be observed along the diagonal B–C.

Fig. 11 shows the final damage state of the specimen. (i) a sev-
ere damage level of the lateral side of joint caused by concrete
cover spalling; (ii) the sudden buckling of column longitudinal
reinforcement in the joint region, (iii) the quite moderate damage
level in the joint panel, and (iv) a more important crack width at
beam–joint interface with respect to Test #1 can be noted. Table 5
summarizes the evolution of the observed damage for Test #2.

Moreover, in Fig. 12 the envelope (of the first cycles) of dis-
placement dLP versus drift is reported for Test #2. Data are cut at
the second sub-cycle at 2.00% drift, since, at the third cycle, the
cracks significantly involved the support points of LPs, causing
unreliable measurements. In this case, LP 50-1 provides the higher
values of displacement (dLP) (up to about 6 mm at 2.00% drift), con-
sistent with the more significant cracking pattern of joint panel
along the diagonal B–C observed before (Fig. 10).
3.2.3. Damage states
Several measures of the deterioration of RC members due to

earthquake loading have been presented in literature in last dec-
ades. Most of these indices express the damage level to individual
elements and are generally based on observed damage or displace-
ment ductility ratio and hysteretic dissipated energy. Specifically
for unreinforced beam–column joints in older RC frames similar to
test specimens presented herein, Pagni and Lowes [31] identify thir-
teenDamage States (DSs) – fromDS0 toDS12 – that characterize the
progression of damage under earthquake loading. These DSs were
definedon the basis of data obtained from laboratory test specimens
aswell as guidelines for post-earthquake repair and interviewswith
professionals, in order to best characterize the progression of dam-
age in joints and best determine the appropriate method of repair
for the component. Herein suchDSs are used to describe the damage
sustained by each specimen under cyclic loading (as in [18]).

As suggested by Pagni and Lowes [31], DS at each applied drift
level is defined on the basis of: cracking pattern, peak shear
strength, yielding of beam longitudinal reinforcement (if any),
cracks opening (where possible), concrete spalling, and buckling
of column longitudinal reinforcement (if any). In particular, the
more severe DS that can be recognized at each drift level is plotted
in Fig. 13 for both tests.

It can be noted that Test #1 shows a gradual increase in damage
level, starting from hairline cracks at beam–joint interface (DS0)
and cracks in the joint core (fromDS1 to DS3) up to cracks extension
in columns (DS9) and, finally, a quite distributed crushing of con-
crete in the joint core (DS11) and cover. Note that DS7 corresponds
to the achievement of the peak strength and the beginning of joint
shear strength degradation (as it will be shown also in Section 4).

Vice-versa, in Test #2 the evolution of damage is faster, fromDS0
to buckling of column longitudinal reinforcement (DS12). In this
case, first joint cracking (DS1–DS3) and beam longitudinal rein-
forcement yielding (DS4) occur at the same drift level than DS7.

Fig. 13 clearly shows that, at a given drift level, DS is higher for
Test #2 than for Test #1, confirming the faster damage evolution
for Test #2.
3.3. Final condition of Test #2

As observed previously, Test #2 was interrupted when the third
cycle at 2.00% drift was reached; in fact, at this step, a sudden elon-
gation of the hydraulic jack acting on column occurred, as shown in
Fig. 14(a), together with joint concrete cover spalling and sudden
buckling of column longitudinal bars. In Fig. 14(b) experimental
displacement measured by LVDT-D (located versus the vertical
face of the joint), is reported depending on the beam lateral load,
and the initial step of the sudden elongation of the hydraulic jack
is indicated by a red1 circle.



Fig. 7. Evolution of damage – Test #1.

Table 4
Description of the evolution of damage during Test #1.

Cycle Drift (%) Damage description

Joint Beam Column

1 0.25 No damage Hairline cracks at beam–joint
interface along beam width

No damage

2 0.50 First light cracks at corner B Crack opening at beam–joint
interface along beam width

–

3 0.75 Diagonal cracks in the joint panel spreading along column
longitudinal bars

– –

4 1.00 New diagonal cracks and spreading of existing cracks – –
5 1.50 New diagonal cracks – –
6 2.00 New diagonal cracks – Spreading of cracks along

longitudinal bars
7 3.00 Spreading of existing cracks and beginning of concrete cover

spalling starting from corner C
– –

8 4.00 New diagonal cracks, significant cracks lengthening, concrete
cover spalling along A–C side

– –

9 6.00 Complete concrete cover spalling – –

Fig. 8. Final damage state: joint panel and beam–joint interface – Test #1.
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Fig. 9. LPs displacements along the diagonals of the joint panel – Test #1.

Fig. 10. Evolution of damage – Test #2.

Fig. 11. Final damage state: joint panel and beam–joint interface – Test #2.

M.T. De Risi et al. / Engineering Structures 112 (2016) 215–232 223



Table 5
Description of the evolution of damage during Test #2.

Cycle Drift
(%)

Damage description

Joint Beam Column

1 0.25 No damage Hairline cracks at beam–joint interface No damage
2 0.50 – Light cracks at beam–joint interface –
3 0.75 – New cracks at beam–joint interface –
4 1.00 Light diagonal cracks in the joint panel – –
5 1.50 New diagonal cracks in the joint panel and light cracks along column

longitudinal bars
Lengthening of existing cracks at beam–joint

interface
Cracks along longitudinal

bars
6-1 2.00 New diagonal cracks in the joint panel – –
6-2 Significant lengthening of existing cracks – –
6-3 Concrete cover spalling along A–C side – Bar buckling

Fig. 12. LPs displacements along the diagonals of the joint panel – Test #2.

Fig. 13. DSs according to Pagni and Lowes [31].
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It can be asserted that the sudden elongation of the hydraulic
jack is most likely due to the sudden reduction in axial stiffness
of ‘‘column + joint” system, caused by joint concrete cover spalling
and buckling of column longitudinal bars. This outcome is also con-
firmed by the evidence that no sudden increase in the elongation of
the hydraulic jack was observed in Test #1 (see Fig. 14(a)), since
cover spalling occurred more gradually (see Table 4) and, above
all, no buckling of column longitudinal reinforcement occurred,
thanks to the higher bar diameter with respect to Test #2
(20 mm versus 12 mm).

The sudden elongation of the hydraulic jack, which caused the
interruption of the test prematurely respect to the established
loading pattern, could appear to depict the ‘‘beginning” of an axial
load failure for this test. Therefore, this aspect is investigated and
discussed in this section by post-processing of the experimental
data.

In literature, tests that exhibited this kind of failure are in a very
limited number. Furthermore, different approaches were used to
define the onset of joint axial failure [32], for instance, the drop
in column axial load, or a joint axial shortening beyond a certain
threshold, or the full disintegration of the joint. In the present
study, since column axial load was constant during the test, the
second criterion should be applied to identify a potential joint axial
load failure. Unfortunately, such a criterion cannot be applied in
this case, due to the reduced reliability of measures from LPs since
the second sub-cycle at 2% drift.

In Hassan [32] a database has been collected with experimental
tests of ten unreinforced joints characterized by an axial load fail-
ure, identified according to one of the criteria previously listed.
According to Hassan [32] and Hassan and Moehle [33], the axial
capacity of column longitudinal bars in the joint region (due to
buckling or sway collapse) should be always achieved after a slid-
ing mechanism along the diagonal shear failure plane, caused by
the shear damage sustained by the joint panel. Hassan and
Moehle’s thesis was based on the observation of axial failure
modes for RC joints in the collected database and it was similar
to the proposal related to shear damaged RC columns by Elwood
and Moehle [34].

Nevertheless, the final damage state of joint panel in Test #2 is
not characterized by a main diagonal shear crack that identifies a
diagonal shear failure surface (because of the quite moderate final
damage state of the joint panel). Moreover, Test #2 has a peculiar-
ity with respect to tests analyzed by Hassan [32]. In fact, column
bars buckling occurred before (and not after) a (potential) diagonal
sliding in the joint core. This condition has most likely been pro-
moted by the higher slenderness of column longitudinal reinforce-
ment (with respect to tests analyzed by Hassan and Moehle [33]),



Fig. 14. Bar buckling: LVDT-D displacement versus beam lateral load Vb (a), hydraulic jack acting on column (b).
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characterized by a bar diameter equal to only 12 mm. Much higher
diameters characterize tests in Hassan and Moehle’s database.

In conclusion, the sudden elongation of the hydraulic jack at the
end of Test #2 (at 2.00% drift) cannot be considered, by itself, an
evidence of joint axial load failure. This conclusion is also con-
firmed by two more issues, as shown in Fig. 15. In particular,
Figs. 15(a) and 15(b) show a visual comparison between the final
damage states related to Test #5 in Pantelides et al.’s experimental
campaign [11] and Test #2 presented herein, respectively. It can be
noted that Test #5, which is one of the few (four) exterior joints in
Hassan’s database [32], shows a high damage level due to shear
demand in the joint core when axial load failure occurred, differ-
ently from the final damage state observed in Test #2. Secondary,
in Fig. 15(c) the empirical relationship between axial load ratio and
maximum drift reached prior to the axial failure proposed by Has-
san and Moehle [33] is shown: it can be observed that Test #2
belongs to the ‘‘axial failure safe zone”, and, therefore, according
to such a relationship, the final condition of Test #2 cannot be clas-
sified as axial load failure.
4. Local behavior

In this section, most significant local measurement data, related
to main deformation mechanisms observed in specimens, are
discussed.
4.1. Joint panel response

Linear potentiometers located on the joint panel are employed
to calculate joint shear strain, as suggested and adopted by previ-
Fig. 15. Final damage states of Test #5 by Pantelides et al. [11] (a), and of Test #2 (b);
ous experimental works (e.g., [35,32,24,36]), according to which
joint shear strain can be expressed as shown in Eq. (1):

cjoint;i ¼
eh � ex cos2 h� ey sin2 h

sin h cos h
ð1Þ

where cjoint,i is the joint shear strain obtained using a certain set of
strain measures, ex and ez are strains in the horizontal and vertical
directions, respectively, and eh is the strain in the diagonal direction
at an angle h from the horizontal axis. Four estimates of the joint
shear strain are obtained by four triangles of LPs located in the joint
panel (see Fig. 3(b)) by using Eq. (1). Joint strain (cjoint) is finally cal-
culated as the mean of these four estimates. Sign convention for
shear strain is related to beam displacement sign convention: neg-
ative joint shear strain corresponds to downward beam displace-
ment (see Fig. 5).

Joint shear stress is calculated based on equilibrium equations.
In particular, joint shear demand Vjh is calculated according to Eq.
(2):

V jh ¼ T � Vc ð2Þ
where T is the tensile force acting in beam longitudinal bars and Vc

represents column shear force. Tensile force T is calculated accord-
ing to Eq. (3):

T ¼ Mb

d� ¼ Vb � Lb
ðb � dÞ ð3Þ

where Lb is the beam clear length and d⁄ the internal lever arm of
beam section, evaluated as d� ¼ ðb � dÞ, where d is the effective
depth. The coefficient b is calculated through the equivalence
between the ‘‘exact” beam yielding moment, calculated by means
empirical relationship for axial load failure detection by Hassan and Moehle [33].
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of a section analysis, and the ‘‘simplified” beam yielding moment,
calculated through a constant internal level arm as
Mb;y ¼ Asf yðb � dÞ, similarly to other literature studies [22,23]. As a
result, b is equal to 0.90.

Column shear force Vc is calculated from equilibrium equations,
as shown in Eq. (4):

Vc ¼ Vb � ðLb þ hc=2Þ
ð2Lc þ hbÞ ð4Þ

where (Lb + hc/2) is the total length of the beam, and (2Lc + hb) is the
total length of bottom and top columns (see also Fig. 5 for notation).
Joint shear stress (sj) can be calculated as the ratio between joint
shear force (Vjh) and joint horizontal area (Ajh). Hereinafter,
sj=

ffiffiffiffi
f c

p
will represent joint shear stress divided by the square root

of concrete compressive strength fc.
In Fig. 16(a) and (b), experimental responses in terms of sj=

ffiffiffiffi
f c

p
versus cjoint are reported for Test #1 and Test #2, respectively. The
corresponding envelopes (related to the first cycles) are reported in
Fig. 16(c), whereas in Fig. 16(d) the same envelopes are shown in
terms of principle tensile stress, pt=

ffiffiffiffi
f c

p
, versus cjoint.

Data are represented until LPs measures are considered reliable,
i.e., until cracks significantly involved the support points of LPs,
namely until the end of the third sub-cycle at 2.00% drift, for Test
#1, and of the second sub-cycle at 2.00% drift, for Test #2.
4.1.1. Test #1
In Test #1, the joint shear stress–shear strain response is signif-

icantly asymmetric, with higher deformability in negative loading
direction: at the end of the first sub-cycle at 2.00% drift, cjoint in
negative loading direction is equal to about three times the
Fig. 16. Joint panel response: shear stress sj/
p
fc – shear strain cj relationship for Test #1(p

fc – strain cjoint (c), envelope of experimental response in terms of principle tensile pt/
corresponding joint strain in positive loading direction. The peak
values of sj;max=

ffiffiffiffi
f c

p
are 0.53 and �0.52 (MPa)0.5 for positive and

negative direction, respectively. The corresponding cjoint are equal
to 0.53% and �1.18%, respectively. The pt=

ffiffiffiffi
f c

p
versus cjoint

response is asymmetric also in terms of strength, due to the varia-
tion of axial load acting on joint caused by shear force transferred
by the beam. The peak values of pt;max=

ffiffiffiffi
f c

p
are 0.37 and �0.28

(MPa)0.5 for positive and negative direction, respectively.

4.1.2. Test #2
Also for the Test #2, the joint shear stress–shear strain response

is significantly asymmetric, with higher deformability in positive
loading direction. The peak values of sj;max=

ffiffiffiffi
f c

p
are 0.41 and

�0.38 (MPa)0.5 for positive and negative direction, respectively;
the corresponding cjoint are equal to 0.04% and �0.07%, respec-
tively. Negative peak point is substantially coincident with joint

cracking (sj;cr=
ffiffiffiffi
f c

p
¼ �0:38ðMPaÞ0:5), since they were reached at

the end of the elastic phase of behavior of the joint. When positive
peak point was reached, joint cracking occurred, causing a signifi-
cant reduction in stiffness and strength, followed by a strength
recovery up to 0.32 (MPa)0.5 for positive direction at 0.64% of cjoint.

Also in this case, the pt=
ffiffiffiffi
f c

p
versus cjoint response is asymmetric

also in terms of strength. The peak values of pt;max=
ffiffiffiffi
f c

p
are 0.25 and

�0.18 (MPa)0.5 for positive and negative direction, respectively.
Table 6 shows the values of sj=

ffiffiffiffi
f c

p
corresponding to first shear

cracking and peak strength of the joint panel. In particular, the
onset of first cracks in joint panel is evaluated taking into account
both the evolution of joint damage (see Table 4 and Table 5) and
the variation of stiffness in global (Vbeam � D) response when first
joint cracks appeared.
a), and for Test #2 (b); envelope of experimental response in terms of shear stress sj/p
fc – strain cjoint (d).



Table 6
Experimental values of sj/

p
fc corresponding to shear cracking and peak strength of joint panel.

Vb,cr (kN) Vb,max (kN) Lb (mm) Lb � hc/2 (mm) 2Lc (mm) sj;cr=
ffiffiffiffiffi
f c

p
(

ffiffiffiffiffiffiffiffiffiffi
MPa

p
) sj;max=

ffiffiffiffiffi
f c

p
(

ffiffiffiffiffiffiffiffiffiffi
MPa

p
) sj;y=

ffiffiffiffiffi
f c

p
sj;flex=

ffiffiffiffiffi
f c

p
Test #1 60.0 74.0 1800 1650 3400 0.43 0.53 1.11 –
Test #2 54.0 58.3 1800 1650 3400 0.38 0.41 0.38 0.46
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Table 6 shows that Test #2 exhibited a lower joint shear
strength sj;max=

ffiffiffiffi
f c

p
respect to Test #1. This outcome is ascribable

to the evidence that joint shear strength cannot generally over-
come the joint shear stress demand corresponding to beam flexural
strength (sj;flex=

ffiffiffiffi
f c

p
) – in weak beam–strong column cases. In fact,

since the definition itself of joint shear Vjh (see Eqs. (2)–(4)), the
(maximum) beam flexural strength corresponds to the maximum
joint shear stress. Because of the lower beam longitudinal rein-
forcement ratio, Test #2 is characterized by a sj;flex=

ffiffiffiffi
f c

p
lower than

the maximum joint shear strength sj;max=
ffiffiffiffi
f c

p
exhibited in Test #1.

However, in Test #2, joint shear failure occurs after beam yielding
and sj;max=

ffiffiffiffi
f c

p
does not reach the value sj;flex=

ffiffiffiffi
f c

p
. This outcome

also confirms proposals from literature [37] according to which
the joint shear strength decreases with the ductility demand in
beam increasing. Such a reduction prevents the achievement of
the beam flexural strength.

In Fig. 17, cjoint is reported as a function of the imposed drift
level. The joint shear strain is evaluated at the end of the first cycle
of each imposed drift value (see Fig. 16(c)), until joint shear strain
can be reliably calculated.

In Test #1 the shear strain of the joint panel rapidly increases
after joint cracking (drift = 0.50%). When the peak strength is
attained (drift = 1.50%) the maximum cjoint is equal to 1.19% and
increases up to 2.07% in post-peak phase (at 2.00% drift). Again,
the higher deformability under negative imposed displacements
is observed.

In Test #2, too, the shear strain is not significant until joint
cracking occurs. In post-cracking (or post-peak) phase, cjoint
increases rapidly up a maximum value of 1.64% (at 2.00% drift).
In this case, a higher deformability under positive imposed dis-
placements is observed, as previously described.

Summarizing, in the post-cracking phase of the joint panel,
given a fixed drift level, higher values of cjoint are observed in Test
#1 (J-failure) compared with Test #2 (BJ-failure), as it will be better
explained in Section 4.3.

4.2. Rotation at beam(column)/joint interface

The rotation at the beam(column)/joint interface – hs,b (hs,c) –
and, thereby, its contribution to the overall deformability – can
Fig. 17. cjoint versus global imposed d
be estimated through LPs located along longitudinal bars of col-
umn at the interface with joint panel (Fig. 18). In particular, since
for Test #2 a more significant deformability contribution due to
beam was expected, two more LVDTs (located on beam depth)
were employed (only) for this test (see Fig. 18(b)), in order to have
a more accurate measure of hs.

Starting from each pair of LPs or LVDTs (providing displacement
measurements d1 and d2) located at a distance a, the rotation at the
beam (column)/joint interface (hs) is calculated according to Eq.
(5):

hs ¼ d2 � d1

a
ð5Þ

Note that such a rotation does not correspond to ‘‘fixed-end
rotation” since LPs provide the measure of the whole crack width
at the interface, including the slippage of longitudinal bars both
from the panel zone and from the element. Only the former contri-
bution leads to fixed-end rotation, properly representing a source
of deformability provided by the joint, whereas the latter leads
to a rotation that should be considered as part of beam (column)
deformability.

Figs. 19(a) and 19(b) show the rotation hs as a function of the
imposed drift for Tests #1 and #2, respectively, evaluated for
beam, top column and bottom column.

Experimental data are plotted until the support points of the
corresponding LPs were affected by significant cracks (i.e., when
a drift value equal to 2.00% was reached). As for cjoint in Fig. 17, also
hs is evaluated at the end of the first sub-cycle for each drift value.
In both tests, it can be observed that hs is generally lower for the
columns than for the beam.

4.3. Analysis of deformability contributions

In this section, the contributions due to joint, beam and
columns to the overall deformability of the sub-assemblage are
evaluated by analyzing the relationship between the quantities
cjoint, hs;b and hs;c (calculated at the end of the first sub-cycle
for each imposed drift level, as previously) with the imposed
drift. Beam top displacement (Db) due to each of the analyzed
quantities is calculated as shown in Eq. (6) (see also Fig. 5 for
notation):
rift: Test #1 (a) and Test #2 (b).



Fig. 18. Rotation at the beam/ (a and b) and column/ (c) joint interface.

Fig. 19. Rotation hs related to beam, top column and bottom column: Test #1 (a) and Test #2 (b).
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D
cjoint
b ¼ cjoint � Lb � ðcjoint � hbÞ ðLb þ 0:5hcÞ

ð2Lc þ hbÞ
D

hs;b
b ¼ hs;b � Lb

Dhs;c
b ¼ ðhtops;c þ hbots;c Þ � Lc �

ðLb þ 0:5hcÞ
ð2Lc þ hbÞ

ð6Þ
where htops;c and hbots;c represent the rotation hs for top and bottom col-
umns, respectively.
Fig. 20. Contributions to the overall impo
By dividing Db due to cjoint, hs;b and hs;c for the total imposed Db,
the percentage contribution to the global deformability is obtained
for each component. Such contributions are shown in Fig. 20 as a
function of the total imposed drift. For both tests, it can be
observed that the sum of deformability percentage contributions
due to joint shear strain and rotation at beam–joint interface,
(hjoint ¼ cjoint þ hs;b), represents the majority of the imposed drift.

For Test #1 (Fig. 20(a)) – which exhibited a J-failure mode – hjoint
reaches a maximum of 70% of the imposed drift at the peak point
sed drift: Test #1 (a) and Test #2 (b).
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(drift = 1.50%) and about the 80% at 2.00% drift (in negative loading
direction). In particular, after the cracking of the joint panel
(drift = 0.50%), the shear strain contribution due to cjoint is system-
atically predominant with respect to the contribution due to rota-
tion at the beam(column)/joint interface.

For Test #2 (Fig. 20(b)) – which exhibited a BJ-failure mode –
hjoint reaches a maximum value of about 95% at 2.00% drift (positive
loading direction). The contribution due to rotation hs;b is the main
contribution to hjoint until cracking of the joint panel occurs. Vice-
versa, after cracking of joint, the contribution of cjoint rapidly
increases, while hs;b is almost constant, despite yielding of longitu-
dinal reinforcement.

Such trends are consistent with the expected deformation
mechanisms, based on the observed failure modes. Finally, the con-
tribution that misses to reach 100% in Fig. 20 is due to flexural
deformability of beam and columns, and progressively reduces
its weight for increasing drift levels.
Table 7
4.4. Beam bars strains

In this section strain measures related to the beam longitudinal
reinforcement bars are plotted for strain gauges located at beam–
joint interface, namely sg #1 and sg #4.

Steel strain of longitudinal beam bars in Test #1, see Fig. 21(a),
reaches a maximum value of 0.137% and thus it is always much
lower than the strain corresponding to yielding (es,y = 0.243%), thus
confirming the failure mode classification for this test as J-failure.

Steel strain of longitudinal beam bars in Test #2, see Fig. 21(b),
reaches a maximum value of 0.288% (when 1% imposed drift was
reached) and thus overcomes the yielding strain (es,y = 0.230%),
thus confirming that Test #2 can be classified as BJ-failure.
Shear cracking stress: comparison between experimental and predicted values.

Formulation Test #1

(
ffiffiffiffiffiffiffiffiffiffi
MPa

p
)

Test #2

(
ffiffiffiffiffiffiffiffiffiffi
MPa

p
)

Experimental – 0.43 0.38
Uzumeri [38] ðsj;cr=

ffiffiffiffiffi
f c

p
Þ ¼ 0:29

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ 0:29 N

Aj

q
0.39 0.39

Priestley
(1992)

ðsj;cr=
ffiffiffiffiffi
f c

p
Þ ¼ 0:29

ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
1þ N

0:29
ffiffiffi
f c

p
Aj

r
0.49 0.49
5. Joint shear strength: comparison with literature models

Local joint panel responses of Tests #1 and #2 are compared
with strength models existing in literature. Experimental shear
stresses, corresponding to the shear cracking (sj;cr=

ffiffiffiffi
f c

p
) and to

the shear strength (sj;max=
ffiffiffiffi
f c

p
) of the panel zone, are compared
Fig. 21. Beam bars strain: T
with the corresponding values predicted by some of the main for-
mulations from codes and literature.

In particular, experimental values of sj;cr=
ffiffiffiffi
f c

p
are compared

with predicted shear cracking stress provided by Uzumeri [38]
and Priestley [39], as shown in Table 7. Uzumeri’s formulation pro-
vides a shear cracking stress that is the closest to the experimental
values for both tests: the ratio between experimental and pre-
dicted values is 1.10 and 0.97 for Test #1 and Test #2, respectively.

Similarly, experimental shear strength is compared with the
main formulations proposed by codes [9] and literature [39,21,8].

ASCE/SEI 41 [9] provides a value of sj;max=
ffiffiffiffi
f c

p
that depends on

joint typology and transverse reinforcement ratio; for exterior
unreinforced joints without transverse beams, shear strength can
be obtained from Eq. (7):

sj;max=
ffiffiffiffi
f c

q
¼ 0:50 ð7Þ

Priestley [39] suggests limiting the maximum value of principal
tensile stress to 0:42

ffiffiffiffi
f c

p
, therefore:

pt;maxffiffiffiffi
f c

p ¼ 1
2

ffiffiffiffi
f c

p �rþ
ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
r2 þ 4s2

p� �
¼ 0:42 ð8Þ

Park and Mosalam [21] propose a mechanical approach
accounting for joint shear strength degradation after beam yielding
and directly providing a definition of the failure mode:

sj;max

ffiffiffiffi
f c

q�
¼ k

cos h
cosðp=4Þ

� �
ð9Þ
est #1 (a), Test #2 (b).



Table 8
Experimental joint shear strength and models from literature (values corresponding to lowest prediction errors are highlighted in bold).

Specimen sj;max=
ffiffiffiffiffi
f c

p
(MPa0.5) pt;max=

ffiffiffiffiffi
f c

p
(MPa0.5)

Exp. ASCE/SEI 41 [9] Park and Mosalam [21] Jeon et al. [8] MARS Jeon et al. [8] MLR Exp. Priestley [39]

Test #1 0.53 0.50 0.73 0.70 0.70 0.37 0.42
Error – �6% +36% +32% +32% – +14%

Test #2 0.41 0.50 (0.46) 0.40 0.42 0.42 0.25 0.42 (0.30)
Error – +22% (+12%) �2% +2% +2% – +68% (+20%)
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where h is a function of the joint aspect ratio (beam height/column
depth) and ‘‘k” is a strength factor accounting for the effect of the
beam longitudinal reinforcement ratio. When ‘‘k” is equal or higher
than the unit, a J-failure occurs; the value of ‘‘k” is limited to 1.0. The
minimum value of Eq. (9) is reached when ‘‘k” is equal to 0.4. When
the parameter ‘‘k” ranges between 0.4 and 1.0 a BJ-failure occurs.

Based on an extended database of experimental tests [23], Jeon
et al. [8] propose new probabilistic joint shear strength models. By
using a set of candidate predictor variables (independent input
variables), a conventional multiple linear regression method
(MLR) and an advanced machine-learning method of multivariate
adaptive regression splines (MARS) are adopted, in a log-
transformed space, to search for significant predictor variables.

As a result, the joint shear strength obtained from the MARS
method, for unreinforced joints, is obtained as in Eq. (10):

lnðsj;maxÞ ¼ 1:73� 4:19BF1 � 1:43BF2 þ 1:37BF3 � 0:71BF4

þ 0:38BF5 þ 0:26BF6 þ 4:67BF7 þ 0:57BF8

þ 0:78BF9 � 0:25BF10 � 3:29BF11 � 1:97BF12

� 0:14BF13 � 3:45BF14 � 3:97BF15 ð10Þ

where BFi are parameters defined as functions of the normalized
log-transformed independent variables nj, which, in turn, depend
on the following parameters: concrete compressive strength fc;
maximum joint shear demand sd; in-plane and out-of-plane geom-
etry factors JP and TB; joint aspect ratio hb/hc; beam-to-column
depth ratio; joint eccentric factor; column axial load factor; ratio
of provided to required column depth to beam rebar; column-to-
beam nominal moment strength ratio MR; and the ratio of interme-
diate column reinforcement strength to design joint shear demand
h. The reader is referred to [8] for further details.

By adopting the same notation, the joint shear strength
obtained from the MLR method, for unreinforced joints, is obtained
as in Eq. (11):

lnðsj;maxÞ ¼ �0:81þ 0:46 lnðf cÞ þ 0:50 lnðsdÞ þ 0:68 lnðJPÞ
þ 0:62 lnðTBÞ � 0:25 lnðhb=hcÞ þ 0:08 lnðMRÞ
þ 0:14 lnðhÞ ð11Þ

A summary of joint shear strength from different models for
Test #1 and Test #2 is reported in Table 8.

Note that models by ASCE/SEI 41 [9] and Priestley [39] do not
consider the influence of beam longitudinal reinforcement on joint
shear strength. When they are adopted, the joint shear strength
calculated in compliance with models is successively limited to
the maximum allowable joint shear stress (namely that corre-
sponding to beam flexural capacity). This limiting value is shown
in Table 8 within round brackets.

Vice-versa, models by Park and Mosalam [21] and Jeon et al. [8]
explicitly consider the influence of beam longitudinal reinforce-
ment on joint shear strength, by means of the parameters ‘‘k” or
sd, respectively. In these cases, the joint shear strength is calculated
in compliance with the model proposal without any limitation.
5.1. Test #1

The comparison reported in Table 8 shows that the code pro-
posal adopted herein as a reference [9] slightly underestimates
the experimental strength (with a percentage error of about 6%);
however, this model provides the best predictive capacity. The
other models provide higher overestimations of shear strength,
from a minimum of 14% (model by Priestley [39]) to a maximum
of 36% (model by Park and Mosalam [21]).
5.2. Test #2

In this case, the comparisons reported in Table 8 highlight a
very good predictive capacity of models by Park and Mosalam
[21] and Jeon et al. [8] (which show an absolute percentage error
of 2%), namely the only models, among those considered herein,
which explicitly consider the influence of beam longitudinal rein-
forcement on joint shear strength. Vice-versa, models by Priestley
[39] and ASCE/SEI 41 [9] overestimate the experimental strength
by 68% and 22%, respectively. This overestimation decreases up
to 20% and 12%, respectively, when joint shear strength proposed
by models is limited to the joint shear stress at the beam flexural
strength demand, as previously explained.
6. Conclusions

In the present work, experimental results of two tests on
unreinforced exterior RC beam–column joints were analyzed.
The joint specimens were designed according to code prescrip-
tions and design practices in force in Italy between 1970s and
1990s; in particular, the Test #1 specimen was designed accord-
ing to seismic prescriptions, whereas the Test #2 specimen for
gravity loads only. Depending on the different beam longitudinal
reinforcement ratio of the two specimens, two distinct failure
modes were expected, namely joint shear failure prior to beam
yielding for Test #1, and joint shear failure following beam
yielding for Test #2.

Experimental results, in terms of lateral load–displacement
response, showed that:

� in Test #1, the attainment of maximum strength was controlled
by joint failure, without flexural yielding of the beam;

� in Test #2, the attainment of maximum strength was controlled
by joint failure and followed the flexural yielding of the beam;
actually, peak load was higher than the expected load at flexural
yielding and lower than the expected flexural strength of the
beam.

Measures from strain gauges (located on beam longitudinal
bars at beam–joint interface) confirmed the expected failure
modes.

Test #1 showed a quite sever damage level due to shear
demand in the joint core at the end of the test, together with a
complete cover spalling from the side of the joint. Test #2 was
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interrupted because of the sudden buckling of column longitudinal
reinforcement passing through the joint panel, even if, in this case,
a more moderate damage level due to shear demand was observed
in the joint core at the end of test.

It was also highlighted that the higher the beam longitudinal
reinforcement ratio, the higher the joint shear strength, confirming
proposals from literature according to which joint shear strength
decreases as ductility demand in beam increases.

The analysis of local responses highlighted that the sum of the
main deformability contributions due to joints (joint panel shear
strain and rotation at beam/joint interface) represented the major
part of the imposed drift for both tests. In particular:

� in Test #1 (J-failure mode), after the cracking of the joint panel,
the joint shear strain contribution was systematically predom-
inant with respect to the contribution due to rotation at the
beam(column)/joint interface;

� in Test #2 (BJ-failure mode), the rotation at beam/joint interface
contribution was systematically predominant until cracking of
the joint panel occurred; vice versa, after joint cracking, the
contribution of joint shear strain rapidly increased, while the
rotation at beam/joint interface was almost constant, despite
yielding of longitudinal reinforcement.

Experimental shear stress, corresponding to the shear cracking
of the panel zone and to shear strength, were compared with the
corresponding values predicted by some of the main formulations
proposed in codes and literature. Uzumeri’s formulation for shear
stress at cracking provides values that are the closest to the exper-
imental values for both tests. As far as peak shear strength is con-
cerned, surprisingly, model by code [9] shows, on average between
the two tests, the best predictive capacity with respect to other
empirical models.

The experimental tests described herein can provide a very
useful contribution to the characterization of the experimental
behavior of unreinforced RC beam–column joints, toward future
studies related to the validation/proposal of nonlinear models
for the assessment of existing non-ductile RC buildings,
accurately modeling all the sources of deformability due to
beam–column joints.
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